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ABSTRACT
The West Gate Bridge, intended to span the Yarra River in Australia, collapsed during its
third year of construction in 1970. Investigation into the project revealed numerous issues
in the bridge's design and construction. The West Gate Bridge is one of a number of box
girder bridges built during the mid 2 0 th century, and was one of four to fail in a three year
period.
An overview of the design and erection issues is presented, particularly those dealing
with thin elements in compression. A comparison of moments and stresses resulting from
the use of concrete blocks and jacks to reduce the camber difference encountered on span
10-11 shows that the latter method would have been preferable.
The failure of three other box girder bridges between 1969 and 1971, and the required
strengthening of dozens of others, reveal the lack of understanding of the slender
compressive elements present in such structures.
A brief literature review presents the buckling and deformation modes found in stiffened
plates under compressive loading, showing the development of understanding of these
systems from papers written or published in 1997, 2001, 2004 and 2006 - over three
decades after the West Gate collapse.
Criteria by AASHTO and by B. H. Choi and C. H. Yoo for the minimum moment of
inertia of longitudinal and transverse stiffeners of box girders are presented. The resulting
values are compared to the moment of inertia of sections used to strengthen the West
Gate Bridge after the collapse of a similar bridge. This comparison shows that the
requirements are quite sensitive to scale and can provide inconsistent requirements for
stiffness. Thus, there is currently a lack of guidance and regulation from codes for the
design of wider single-cell box girders. The complex and non-linear nature of the slender
elements in compression used in box girders does not allow the extrapolation of simpler
rules developed for the design of smaller bridges. Despite the complex behavior of box

girders, they offer a number of advantages and further research is needed to improve their
analysis, design, construction, repair and maintenance.
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1. Introduction
This thesis will explore issues in the design, erection, and behavior of box girder
bridges using the West Gate Bridge collapse as a case study. The behavior of the thin
compressive elements in box girders is complex and was not well understood at the time
the West Gate Bridge, and other similar bridges, were designed and erected. This lack of
understanding resulted in several failures of bridges of this type.
We will begin with an overview of the West Gate Bridge project, the box girder bridge
as a structural system, and key design and construction issues specific to the West Gate
Bridge. The challenges encountered in the design and erection of the West Gate Bridge
are numerous and this paper does not aim to conduct a full account or analysis of them
all. However, key concerns of calculations of loads and stresses during the construction
and service conditions will be noted. Particular attention is paid to matters regarding
elements of the bridge under compressive loading.
One of the critical challenges in the erection phase was the presence of large
differences in camber of two similar sets of half spans. Two tactics for removing the
camber difference of span 10-11 will be compared. A brief presentation of failures of box
girder bridges constructed during the same time period will follow.
Next, a summary of the understanding of buckling and failure modes of stiffened
panels under compressive loading as described in papers written or published in 1997,
2001, and 2004 is presented. An overview of design criteria suggested by AASHTO
(American Association of State Highway and Transportation Officials) and by B. H. Choi
and C. H. Yoo (2006) for the minimum moment of inertia of stiffening elements follows.
These design requirements will be compared to one another and to the properties of the
stiffening elements used in the West Gate Bridge.
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2. Background
On October 15, 1970, the West Gate Bridge dramatically collapsed during the third
year of its construction, killing 35 members of the workforce [6].
The bridge was chosen to replace the existing ferry crossing of the Yarra River in
Melbourne, Victoria, Australia. Construction of the foundations started in April 1968 and
the bridge was scheduled for completion in early 1971 [6].
The bridge would have been the largest built in Australia (Hitchings 169), and now
follows Houghton Highway as the second longest in the country [15].
2.1. Initial Design
The total length of the West Gate Bridge is 2,585 m and the width is 37 m. It has two
four 17 m wide lane lanes, separated by a median strip. The bridge was to consist of
spans of varying lengths in either prestressed concrete or steel. The central steel main
span over the Yarra River is 336 m long with shorter spans on either side, for a steel
structure with a total length of 859 m. There are ten approach spans on the western
approach and thirteen approach spans on the eastern approach, each of prestressed
concrete and 67 m in length [6].
12
Figure 1: Plan view
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Figure 2: Elevation, plan and section views
The central three steel spans form a cable-stayed structure supported from two
central steel towers rising 46 m above the roadway. The navigational clearance provided
is 54 m above the low water level [6].
Figure 3: Photograph of bridge model
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The central span structure consists of a simple central tower with cable stays
anchored within the central cell of the box girder. This arrangement has been found best
suited to the roadway layout, since the tower and anchorages can be accommodated in the
central median strip between the lanes. Inequalities of loading on the two lanes are dealt
with by providing adequate torsional stiffness in the deck structure [6].
The hollow box section consists of a trapezoidal section 4.05 m deep, 19.06 m wide
along the bottom flange, and 25.47 m at the top flange. Minimizing plate thickness was
one of the primary aims of the design since most of the problems associated with the
production and welding of high yield steel would be eliminated. The boxes are made up
from stiffened panels for standardization and economy. The box girder is divided into
three compartments by vertical webs and outer inclined web panels. Each web and flange
plate is 16 m long and stiffened with either bent plates, angles, or bulb flats welded to
them. All web and bottom flange splices connecting these panels are made with grip bolts
[6].
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The cable-stayed system operates only between columns 11 and 14. Spans 10-11 and
14-15 are therefore unstayed box girders, roller supported at the outermost ends but pin
supported and continuous at the inner ends. Therefore, the investigation into the causes of
failure of span 10-11 was limited to a comparatively simple structural system (Royal
Commission 36).
2.2. Contractual Relationships
In 1961, the Lower Yarra Crossing Authority (LYCA) was established as a non
profit company to construct and operate a bridge crossing the Lower Yarra River. In
1965, LYCA had informal talks with consulting engineers Maunsell and Partners of
Melbourne. Maunsell and Partners had limited experience in major bridge design and in
1966, they recommended that LYCA approach the internationally recognized firm
Freeman, Fox and Partners (FF&P) of London. FF&P had a world reputation for their
work on such structures as the Forth Road Bridge (1963) and the Severn Bridge (1968)
[6].
Time was very important because of the high level of interest charges to LYCA. In
order to meet the completion deadline it was decided from the beginning that detailed
designs must be rapidly prepared so that tenders could be called for construction as soon
as possible [6].
In 1967, LYCA formally appointed the two firms as joint consultants for detailed
design up to the preparation of tender documents. The contracts for foundation work and
concrete construction were awarded to John Holland Construction (JHC) of Melbourne in
1968. The contract for steelwork construction was awarded to World Services and
Construction (WSC), a subsidiary of a Dutch construction company, also in 1968. By the
end of 1969, it was apparent that WSC was falling behind the construction schedule for
steelwork erection [6].
To avoid further delay LYCA made new contractual arrangements in which WSC
continued to make the steel parts for the bridge but JHC was to erect and join the
steelwork together. This is a specialized area in which JHC lacked experience [6].
16
2.3. Construction
The foundations, which involved sinking cylinder and driving octagonal steel piles,
were started in April 1968 and ended without incident in September 1969 [6].
Cantilevered forms were used to construct the concrete piers in 2.44 m sections. Four
sets of formwork were used so that the four piers could be constructed simultaneously.
The 67 m approach spans consisted of eighteen spine beam units which were
manufactured on site. Special equipment was designed and built to lift and handle the
units into position [6].
Each steel box of the central span structure consisted of twenty-one stiffened plate
panels which were fabricated in two workshops at the bridge site. Plate steel was
prepared to special specifications and rigorously tested for such properties as strength and
impact resistance [6].
By October 1970, twelve pairs of half boxes had been erected on the east bank
extending from Pier 15 to a point mid-way between Piers 13 and 14. Span 10-11 had
been started on the west bank. The three middle spans - 11-12, 12-13 and 13-14 - were
designed to be erected by the cantilever method in which sections of the steel box were
raised and attached to the last section. This could have been done from one pier only or
from both ends so that the cantilevered spans met in the middle- however, this stage was
not reached in construction.
Span 10- 11 and span 14-15 were designed to be erected in a different fashion by
assembling each span in two halves on the ground in full length and half width. Each
span was then lifted into position at the top of the piers. The next stage, which proved
extremely difficult, was to join the two half spans together [6].
The erection of span 14-15 gave an indication of the problems to be expected with
the chosen erection procedure. The boxes were bolted together on temporary staging at
ground level. When the span was lifted off the temporary staging the upper plates of the
boxes buckled at the unsupported edges. Thus, inadequate temporary bracing led to
significant compression instability. When both halves were jacked and placed on the
piers, a 90 mm (3.5 in) difference in camber was observed. To eliminate this difference,
the end of the south half span was jacked up to about twice the camber difference, and
when aligned, the two halves were jacked together, closing the horizontal gap. Some
17
local buckling remained and this was pressed out using long bolts tightened on stiff
beams. Working from both ends left one section in the middle where the buckles
remained. The only way to remove these, in the opinion of the engineers, was to undo
some of the bolts connecting the stressed structure, and when displacement had eased out
the buckles, replace the bolts after enlarging the holes [6].
The first half spans were joined successfully by WSC, with a system of hydraulic
jacks to ensure that the total load of the partly constructed span would be more or less
equally shared between all the trestles. However, when JHC took over this assembly, they
had difficulty in understanding the logic behind this system [6].
The success of the erection of span 14-15 lead to a "degree of unconcern" when
similar problems were encountered on span 10-11 [6].
The Collapsed Span
At the time when span 10-11 was partially assembled on the ground, the contract for
steel erection was awarded to JHC. Similar to the construction of span 14-15, span 10-11
was also erected by assembling half spans and joining them together after placing them
on the piers [6].
The half boxes were surveyed for alignment on the ground, but due to temperature
changes and the fact that one half span had a crane on it, the surveys were likely to be
inconsistent and unreliable [6].
When the two sections were brought together after being lifted onto the piers, the
difference in camber was found to be as much as 114 mm (4.5 in). JHC proposed to use
10 8-tonne kentledges (concrete blocks) placed near the midspan, to remove the
difference. With seven of these blocks in place a major buckle had occurred in the upper
panel of the north span. In order to allow the buckle to be removed, bolts connecting the
transverse splice in the top deck near the mid span were undone [6].
2.4. The Collapse
On October 15, after about sixteen bolts had been loosed, there was significant
slipping of the two plates relative to one another such that the loosened bolts were
jammed tightly into their holes and could not be removed [6].
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After about 30 bolts were removed, a dramatic change took place. First, the buckle
spread into the adjacent outer panels, accompanied by the buckling failure of the upper
part of the inner web plate. Plastic creep in the steel, and possibly the effect of thermal
changes, all contributed to a slow diffusion of yielding, which lasted 50 minutes before
the final collapse [6].
Images captured following the failure and sketches of the collapse are shown below.
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Figure 5: Elevation and plan of collapsed span
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Figure 7: Impact of collapse forced a steel beam through concrete of deck
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Figure 8: Collapsed deck viewed from neighboring pier
Figure 9: Close-up of shattered box structure of deck
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3. Advantages and Disadvantages of Box Girders
Robert Stephenson, an English civil engineer, first decided on light metal
construction for the rational use of material for the Britannia Bridge in 1850. This
structure was a continuous girder of puddle iron with maximum spans of 142 m in the
form of a box. He is considered to be ahead of his time, and his idea was not followed up
until a century later (Inst. Civil Engineers 21). Stiffened steel plate box girders for bridge
construction were first developed and used in Germany in the 1950s for post-war
reconstruction. Stiffened plates are basic components of many structures, including
bridges, buildings, automobiles, aircrafts, offshore platforms, and naval vessels [8].
The main advantages and disadvantages of box girder bridges are described below.
Figure 12: Side view of Britannia Bridge
Figure 13: Cross-section of Britannia Bridge
3.1. Advantages
During the mid 2 0 th century, engineers favored the box girder, pioneered by
Freeman, Fox and Partners, because of its relative lightness, speed of construction and
cost. They said box girders could cut cost of construction by between 30 and 50 percent
(Hitchings 98).
Because box girders are closed-section members, they are often used in highway
bridges because of their high torsional rigidity, economy, appearance, and resistance to
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corrosion. With their wide bottom flanges, relatively shallow depths can be used
economically. And for continuous box girders, intermediate supports often can be
individual, slender columns simply connected to concealed cross frames (Brockenbrough
11.56).
3.2. Disadvantages
Because relatively thin members take significant compressive forces, buckling is a
key design concern for steel box girders. Moreover, the behavior of this system is very
complex and requires a high design effort. A view contradictory to the previous
subsection is that box girder bridges are more expensive to fabricate, and may also be
more difficult to maintain because of the need for access to a confined space inside the
box [4].
At the time of the publication of Steel Box Girder Bridges by the Institution of Civil
Engineers in 1973, there was no comprehensive theory that embraced all the stability
problems typical of steel box girders. This is because a number of factors work together
to make it difficult to analyze the physical nature of the problem, such as: a) the complex
form of the cross-section and the difficulty of taking into account the interaction of its
various parts, b) the compound and three dimensional state of stress and c) the non-
linearity of geometry and of the constitutive laws of the material, both of which much be
considered for a correct interpretation of the problem (Inst. Civil Engineers 25).
Information derived from experiments was also insufficient with only one person - P.
Dubas - having worked in the field at the time (Inst. Civil Engineers 25).
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4. West Gate Bridge Issues
4.1. Design
The design process of the original West Gate Bridge had many complications, and
calculations contained numerous errors in arithmetic and in engineering principle. This
subsection is intended only to highlight certain issues relating to engineering practice,
and to the events leading to the collapse of the bridge.
Administrative Matters
A number of administrative, communication and managerial problems characterized
the design and erection of the bridge. In writing the report, the Royal Commision found it
hard to determine the sequence of calculations made because neither Freeman, Fox and
Partners (FF&P) nor World Services and Construction (WSC) made a regular practice of
dating or signing their calculations. WSC repeatedly requested design calculations from
FF&P but were often left without a response.
WSC also faced labor problems on site, including disputes, strikes, protest meetings,
walk-offs and absenteeism. John Holland Construction (JHC) also experienced
challenges when they took over the steel erection, as the company had no experience with
box girder construction and was strongly opposed by FF&P [6].
General Design
Overall, the design - as a process and as a deliverable - was troubled. Because the
Lower Yarra Crossing Authority (LYCA) was very concerned about having the bridge
completed on time, it was decided that detailed designs were to be rapidly prepared so
that tenders could be called for construction as soon as possible [6].
Almost the only calculations which FF&P presented to the Royal Commission (after
the collapse) relating to the tender design were the computer outputs made in early 1967.
Neither Sir G. Roberts nor Dr. W. C. Brown, senior engineers of FF&P, would admit to a
knowledge of the details of the computer program used to make their calculations. And,
in setting up a model for the program, sweeping simplifications were made when
representing the structure (Royal Commission 52).
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Brown, said the "bridge was a new development. The design remained in a complete
state of flux for some considerable time.. .because this type of bridge involves new
concepts and calls for much thought to arrive at acceptable practical solutions." While the
box girder bridge was a highly advanced system and had been popular for only a short
time, FF&P actually had great deal of experience with box girder bridges, including those
with trapezoidal sections and with cable stays (Royal Commission 49).
FF&P stated that tender design was preliminary only and that they would have
expected the contractor to introduce changes when preparing working drawings. Yet, the
tender drawings show that design details are fully worked out, to the location of every
bolt (Royal Commission 49).
FF&P's design activity was at a very low level from early 1969 until April 1970,
when, in the opinion of the Royal Commission, they should have been checking the final
design of the structure. Their own checks, made at the end of 1968, showed stresses in
some areas considerably higher than permitted by any code. Construction, meanwhile,
was proceeding despite the unsatisfactory state of the calculations (Royal Commission
51).
Specific design issues are addressed in the following sections.
Loading
The self-weight and dead load reactions on piers were determined early in the design
by FF&P and were generally agreed upon by WSC, A.P. Sewell of JHC and J.J. Grassl,
consulting engineer. The reactions on two piers due to live load were found to be 280
tons by FF&P while A.P. Sewell and G. Maunsell found about 845 tons. This major
discrepancy is explained in the following paragraphs (Royal Commission 47).
Early in 1967, Maunsell was anxious to find reaction values so that they could
proceed with the design of concrete piers. A calculation done by FF&P in April of that
year showed that the live load reactions were assessed by a simple proportion of the dead
load reactions (Royal Commission 47).
Roberts stated that the live loads in question were preliminary only, but there is no
evidence that estimates of live load reactions were ever revised. And, the values obtained
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at that time appear to have been in use by both FF&P and Maunsell right up to the time of
failure (Royal Commission 47).
There was also a discrepancy on the number of lanes needed for the basic function of
the bridge, as well as in the live load reduction. One of LYCA's design requirements was
that planning should be made for "four lanes of traffic with a breakdown lane allowing
for a possible extension to five lane operation without a breakdown lane." Thus, the two
55 ft 2 in carriageways would be required by the NAASRA (National Association of
Australian State Road Authorities) to carry ten lanes of traffic. However, FF&P designed
the bridge to carry eight lanes of traffic. According to the AASHO (American
Association of State Highway Officials), and hence the NAASRA, code, FF&P could
reduce live load by 25%, which is based on statistical grounds. However, the values on
the curve used by FF&P were already calculated assuming 75% of the lanes would be
fully loaded (Royal Commission 46).
Factors of Safety
In statements to LYCA, FF&P made it clear that where appropriate, the design
stresses would be in accordance with BS153 (British Standard), including the increase of
30 percent above working stresses for the erection conditions (Royal Commission 42).
The safety factor for the service condition is 1.70, although it would be more correct
to describe this as a load factor- the factor by which the factored loads must be multiplied
for yielding of some structural member to occur. The elastic analysis made in design
must account for all factors involved, particularly when dealing with panels of plating
under compression or shear (Royal Commission 42).
BS153 set out various combinations of forces which must be taken into account. In
presenting the stress analysis for the service condition, FF&P included only the dead and
live load and ignored other effects such as wind pressure, temperature, and resistance of
expansion bearing to movement. The neglect of these minor effects reduced the safety
factor, and they were more dangerous because their significance, neither individually nor
collectively, was assessed (Royal Commission 42).
The safety factor has a particularly high significance in the design of this bridge
because of the uncertainty associated with stiffened plates under compression. In addition
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to the possible initial distortions and locked-in stresses, there is also considerable
difference of opinion on the exact manner in which such panels behave when loaded to
failure. Furthermore, when failure occurs, it will usually be catastrophic (Royal
Commission 43).
Experts could not agree on the determination of the theoretical failure loads for the
panels, and thus, the appropriate allowable working stress. Therefore, the factor of
ignorance for these elements is large. It would appear inappropriate to use the same
safety margin as that used for elements whose behavior is more certain, such as simple
beams. Given this, the Royal Commission believed the factor of 1.31 (1.70/1.30) was too
low for the design of compression panels in a box girder (43).
Finally, the FF&P design calculations barely contain any statement on, or values of,
allowable stress or any comparisons of allowable or actual stresses. In some of the rare
cases where values are given, BS 153 has been used.
Stiffened Panels in Compression
The stiffened panels of the upper flange were intended to work compositely with the
concrete deck in the service condition to add significantly to the stability of the upper
sections. However, for the pre-concreted stages of erection it was necessary to provide
stiffening sufficient to stabilize the parts of the upper flange which were in compression.
It was the failure of these panels that led to the collapse (Royal Commission 37).
This stiffening included longitudinal bulb flats and transverse stiffeners. The
connection details were flawed in that the transverse stiffeners were connected only to the
bulb flats and therefore, only indirectly connected to the flange plate in many cases.
These fish plates (or, K-plates), used to splice the bulb flats, were not designed with
consideration of their high slenderness ratio and eccentricity. For this reason, the
connection of the longitudinal stiffeners was less strong than the elements themselves
(Royal Commission 37-8).
The effective length of 0.71 (fixed-pinned condition) for the stiffened panel and K-
plates used by Dr. W. C. Brown was also a point of disagreement because they were
based upon assumptions that the panels would be bent slightly downwards initially and
would behave as if fixed. The Royal Commission determined that this assumption was
29
unacceptable because these conditions were not met on site. They doubt that the
assumption would have been justifiable even if the conditions had been met (Royal
Commission 45).
FF&P used the simple theory of bending to calculate the buckling load of the
stiffened plates. However, the Royal Commission claimed this theory could lead to
significant errors due to the fact that plane sections, on bending, do not necessarily
remain plane (Royal Commission 37).
The critical stress for buckling of longitudinally stiffened panels between transverse
beams was found to be 18.3 tons/in2 (40.4 ksi) - only slightly higher than the Euler value
for one longitudinally stiffened panel and its attached plate, which was 17.7 tons/in2
(39.0 ksi). The Royal Commission asserts that failure would occur at a stress well below
the elastic crippling stress because of the imperfections of flatness inherent in any
practical panel and the limits imposed by the onset of yield (Royal Commission 54).
The classical theory of elasticity gives three modes of buckling for such panels in
compression. While FF&P gave a formulas for the most complex mode (which is also the
least practical for normal design purposes) to WSC, there is no evidence that FF&P used
the method for either the tender design or post-tender check (Royal Commission 55).
Furthermore, the formulas for the various buckling modes only give elastic critical
stress. They can be of some help in determining the appropriate allowable stress, but
other factors such as the yield stress, the initial unfairness of the panels and the
appropriate safety factor must be taken into account.
Lastly, there is no evidence that post-buckling behavior was investigated. And, in the
design, FF&P ignored the presence of the splices in the way it might affect the stability of
the panels (Royal Commission 55-56).
Factors Not Addressed in Report of Royal Commission
While the report presented by the Royal Commission is very comprehensive in the
review of calculations and design features of the West Gate Bridge, we may note that
certain types of loading were not discussed by the designers or contractors, nor by the
Commission.
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These include seismic loading, dynamic loading and response, and fatigue. It could
be that these effects were not considered as often in that time period. Or, the reason could
be that the factors were not considered relevant for the inquiry given that they did not
directly relate to the collapse.
Shear lag
Calculations by FF&P did not account for shear lag effects in the webs and
diaphragms, which involve the distribution of load between inner and outer webs (Royal
Commission 61).
The Royal Commission states that the distribution is not a statically determinate
problem and a reasonably complex analysis would be needed to get a meaningful
distribution (Royal Commission 62).
After the collapse, Maunsell, London performed finite element analysis and
calculated shear lag effects of up to 80 percent. In certain locations of the box girder,
Maunsell, London's analysis showed peak stresses caused by shear lag in excess of the
yield stress and there were areas of up to about 30 ft2 where the stress was never less than
90 percent of the yield stress (Royal Commission 62).
After the Milford Haven Bridge collapse in June 1970, FF&P used a 50/50
distribution, then 59/41 and 42/58 distributions, where the outer webs take 59 and 42
percent of the total shear and the inner webs take 41 and 58 percent. The analysis by
Maunsell, London found that a distribution of 40/60 seemed more rational when
considering compatibility of shear deflections in the four webs (Royal Commission 62).
The assumption that the load followed a 50/50 distribution would imply overstressed
conditions in the bolted connections between the webs and the load bearing diaphragm
(Royal Commission 62).
Erection
When the principle dimensions of the bridge had been established and the tender
design was carried out in mid-1967, it appears that no serious consideration was given to
potential erection schemes, even though one of the computer runs was claimed to be an
"erection analysis." The analysis made at that time was limited to an examination of
31
stresses in the steel bridge except for the concrete deck and another similar analysis for
the stresses in the bridge with all the concrete in place and already hardened in order to
act compositely with the steel (Royal Commission 41).
The instantaneous placement and hardening of the whole concrete deck cannot be
considered a practical condition and one can assume that any practical scheme for
concreting would be likely to impose higher stresses at some places during erection
(Royal Commission 41).
By adopting this oversimplified approach, FF&P achieved a design which they
believed was satisfactory for the service condition, but required considerable extra
strengthening at many places to meet the stresses imposed by any practical erection
scheme (Royal Commission 41).
According to B. W. Smith, the erection stages of a large bridge are often the most
critical from the point of view of safety. As erection continues, additional elements may
be added to parts of the structure already erected. These may include deck panels,
concrete, or additional crossmembers to be integrated with a spine that is already erected.
This will affect the stiffness on the part of the structure already erected and consequently,
it will behave differently when subjected to loadings in its stiffened state. This must be
considered in large-span bridges, as the effects of deformations and locked-in stresses can
be significant. An incremental loading approach is suggested for analysis that addresses
these changes [20].
Other effects on stresses
BS153, and all other codes on the design of bridges call for consideration of
secondary effects from wind, temperature (uniform and differential), stresses
permanently induced by erection forces, stresses induced by settlement of supports, and
stresses caused by creep effects in the concrete of the composite deck (Royal
Commission 60).
Wind stresses could have been relatively high because the half girders would have
not only a larger coefficient of drag than the more streamlined full section, but also a
much smaller section modulus for bending in the horizontal plane (Royal Commission
61).
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The bridge is most sensitive to differential temperature between the upper and lower
flanges. And, it is most sensitive to this effect during the erection stages before the
concrete deck is placed (Royal Commission 61).
The method of erecting spans 10-11 and 14-15 in two halves meant that unless the
two halves were made with exactly the same camber, permanently locked-up stresses
would be induced when bringing the two halves to the same level (Royal Commission
61).
Other erection-induced stresses would occur if the cantilevers were not set out to the
correct profile, so that their reactions onto the piers would be other than those assumed in
the calculations. There was some evidence that this had already happened when
cantilevering out from pier 14 towards the temporary prop on the east side (Royal
Commission 61).
The concrete deck had been assumed to work in a composite manner with the steel,
as long as the concrete remained uncracked. The creep of concrete under stress would
gradually change the stress distribution, and this effect also could become significant
(Royal Commission 61).
FF&P stated that they considered stresses induced by wind and temperature, but did
not produce calculations showing the effects of these stresses. The wind pressure on the
bridge during erection was estimated to be as high as 2.1 tons/in2 (4.6 ksi) at box 17. The
magnitude of the temperature-induced stress depends on the differential, but a rough
estimate could be 1 ton/in 2 . The permanent stress induced from reducing the camber
difference between the half spans was approximately 1 ton/in2 (Royal Commission 61).
While none of the secondary effects are very large, they could have dangerously
reduced the safety margin. The effects probably would not act together for a cumulative
effect at any one point, but it is suggested that certain combinations are statistically
probable and should have been investigated (Royal Commission 61).
Strengthening Following the Collapse of the Milford Haven Bridge
WSC found certain areas of the structure where additional stiffening was needed.
According to their calculations some of this extra strengthening was required not only for
the erection conditions but for the service condition as well. Most of the strengthening
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added to the West Gate Bridge after the Milford Haven failure was for the strengthening
of details overlooked earlier (Royal Commission 59-60).
Since the Milford Haven Bridge was of a somewhat similar design and becuase
FF&P were the designers of both bridges, LYCA arranged for G. Maunsell and company
in London, to make an immediate check of the design of the steel spans in the West Gate
Bridge. Following the Milford Haven collapse, certain steps were taken to strengthen the
steel spans of the West Gate Bridge (Royal Commission 12, 59-60).
The main steps, taken in certain boxes, were:
* doubling the longitudinal stiffeners
* substitution of angle splices for the K-plates
* increasing the number of bolts in the transverse seam
* connecting the main diaphragm to the outer sloping webs
* addition of 15 in channels as further transverse stiffeners
* additional longitudinal and transverse stiffeners to the outer sloping webs
* addition of reinforcing plate around the opening for the main tower in box 17
* massive strengthening of transverse diaphragms
* concreting in of K-plates on the already erected east span 14-15 (Royal
Commission 60).
The Report of the Royal Commission stated that while this stiffening was vitally
necessary, none of it directly affected the section which collapsed. They also believed
there are a number of places in the box girder which would fail to meet the requirement
even after the post Milford Haven stiffening had been added (Royal Commission 60).
As an example of a more comprehensive design, the planning for the new bridge
crossing the Lower Yarra River included wind tunnel tests, carried out by the
aerodynamics divisions of the natural physical laboratories at England and Monash
Universities. The model tests showed that the bridge would behave satisfactorily in wind
speeds of twice the maximum value to be expected in a 100 year period (Hitchings 171).
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4.2. Erection
In addition to concerns raised in the design process, there were numerous challenges
encountered in the erection of steel work for the West Gate Bridge.
Bulge
In early September 1970, a bulge was found in the sloping outer web around the
south 8-9 splice. This bulge took the form of a dishing inwards of the web to a maximum
of about 1 % in. It covered a roughly circular area with a diameter of about 10 ft, but was
difficult to see because of lighting and the perspective of observers (Royal Commission
29).
It was established that the bulge was the result of a fabrication distortion or an
accident in erection which had gone unnoticed for two months. It was uncertain that the
outer web plating had not become unstable due to the stresses in it and that the situation
would not worsen as further boxes were cantilevered out (Royal Commission 29).
Transition Curves
The transition curves of the approach viaducts were carried over onto the steel
bridge. The twist of the boxes on the convex side of the curve- the north boxes of span
10-11 and the south boxes of span 14-15 - amounted to 23 minutes of arc (0.38 degrees)
per 100-ft length. To achieve this twist when fabricating the boxes, it was necessary for
all the panels involved in the twist to be made as rhomboids, slightly off the perfect
rectangle. In practice the panels themselves were kept rectangular but the holes around
the edge were set out on lines which formed a rhomboid. The use of transition curves on
the steel bridge was seen to have introduced significant complication in detailing and
resulted in many non-standard panels (Royal Commission 36).
Events Leading Directly to Collapse
As discussed in a previous section, the 14-15 and 10-11 spans were erected by
assembling, lifting and joining half-spans. This method was considered unusual and had
not been attempted anywhere else in the world. Especially great care would have been
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required to reduce any camber difference, but was not exercised (Royal Commission 16),
[6].
The Royal Commission asserts that the difficulty in getting the two half girders to
the correct relative positions throughout their lengths was due to the fact that the camber
curves on the two halves were different not only in amplitude but also in shape.
Therefore, even when connections had been made at a number of diaphragms it was still
necessary to use large forces to make the remaining parts fit (Royal Commission 22).
A more detailed description of the events leading to failure, beginning with the
observed difference in camber and resulting in the creation of a hinge was presented in
Chapter 2.
This subsection ends with a simple suggestion for the loosening of the bolts in order
to remove the buckles in the upper flange. Temporary supports below the box girder
would have reduced the positive bending moment in the middle of the span, reducing the
compressive and tensile stresses in the flanges. The removal of bolts at the center of the
girder, while successful on span 14-15, could be thought to create a hinge if the
compressive and tensile stresses become too high. The hinge would create a mechanism,
as the ends of the girder have almost no moment capacity.
The bolts were jammed tightly into their holes after about sixteen had been removed
in the method chosen; the decrease in moment and in compressive stress in the top flange
through temporary supports or jacks would have made this job easier and safer.
While this simple tactic would not eliminate the more serious issues with the design
and erection of the bridge, it would have reduced stresses in the girder while calculations
continued to be made and extra strengthening was added. More importantly, it could have
saved human life on the site.
Following the October 1970 disaster the erection method of the new bridge crossing
the Yarra River was changed such that each box-girder was cantilevered onto an existing
box-girder. Overhead crane and underpinning props were used to provide extra safety and
ease of operation (Hitchings 171).
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4.3. Comparison of use of concrete kentledges with jacking
This section of the chapter quantifies the benefits of jacking to remove the 114 mm
(4.5 in) camber difference found when trying to join the halves of span 10-Il. Rather
than applying gravity load to reduce the vertical camber of one half span, jacking could
have been used to increase the vertical camber of the other half span.
The deformation resulting from the 80 tonne (176.4 kips) load, both modeled as a
point load and as three point loads, was used to estimate the moment of inertia of the half
box section. These values were compared with calculations made based on the geometry
of the cross-section. The schemes of kentledge and jack placement are listed and
described below.
* Kentledge Load Scheme 1: The load of the kentledges was modeled as a point
load at the midpoint of the span.
* Kentledge Load Scheme 2: Four kentledge blocks are placed at the midpoint of
the span and three kentledge blocks are placed at one third of the length from the
ends. This scheme is probably the more realistic of the two kentledge schemes.
* Jacking Scheme 1: The jacking force is modeled as a point load at the center of
the span. The force is equal in magnitude to and opposite in direction of the
concentrated force in Kentledge Load Scheme 1.
* Jacking Scheme 2: The jacking force is modeled as a point load at the midpoint
of the span and two point loads one third the length of the span from the ends. The
three forces are equal and were recalculated to achieve the desired displacement at
the midpoint. This scheme is more realistic than Jacking Scheme 1 and is more
appropriate if a small number of jacks, each with a relatively high capacity, is
available on the site.
* Jacking Scheme 3: The jacking force is modeled as five point loads with spacing
equal to one sixth the length of the span. The five forces are equal and were
recalculated to achieve the desired displacement at the midpoint. This scheme is
more realistic than Jacking Scheme 1 and is more appropriate if there are more
jacks with lower capacity available on the site.
Stresses that might result from wind, temperature, erection were each estimated at I
ton/square inch, or 6.615 ksi in total (Royal Commission 61). These were added to the
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compressive and tensile stresses at the top and bottom of the flange, respectively, for
conservative treatment. The following graphs and table show the moment and stresses
present on the entire length of the half spans.
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Figure 14: Moment under self-weight and kentledges
Moment Under Self-Weight and Jacking
0
5000
10000
10 -- Self-Weight
a. - - -Jacking
15000(5es1
15 0 - - --Jacking
E (Scheme 2)0
- Jacking
20000 (Scheme 3)
25000
3300
0 50 100 150 200 250 300 350
Position (ft)
Figure 15: Moment under self-weight and jacking
38
Compressive Stress in Top Flange:
Self-Weight and Kentledges
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Figure 16: Stress in top flange from self-weight and kentledges
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Figure 17: Stress in top flange from self-weight and jacking
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Tensile Stress in Bottom Flange:
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Figure 18: Stress in bottom flange from self-weight and kentledges
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Figure 19: Stress in bottom flange from self-weight and jacking
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y e (ft) yatt (ft) I (ft') 3., (ksi)
5.96 7.33 115.60 6.615
Self-Weight Kentledge Kentledge Jacking Jacking Jacking
Only Scheme 1 Scheme 2 Scheme 1 Scheme 2 S cheme 3
MaxMoment(kip-ft) 26674 42880 39639 12905 13141 13728
Percent Difference 0% 61% 49% -52% -51% -49%
Top Flange:
On (ksi) 9.56 15.36 14.20 4.62 4.71 4.92
plus ai (ksi) 16.17 21.98 20.82 11.24 11.32 11.53
Bottom Flange:
ay. (ksi) 11.74 18.87 17.45 5.68 5.78 6.04
plus ac, (ksi) 18.35 25.49 24.06 12.29 12.40 12.66
Table 1: Comparison of moment and stresses from self-weight, kentledges and jacking
Conclusion
Jacking Scheme 1 results in the lowest bending moment, and the lowest stresses on
the half span. It may not be feasible to provide one jack with a capacity of 80 tonnes
(176.4 kips), but the goal of the contractor should be to provide the most upward force as
close to the midspan as possible.
Kentledge Scheme 1 resulted in the highest bending moment, and highest stresses at
the midspan. The worst case arises when concentrating the downward force closest to the
midpoint- thus, it would be better to distribute the load and keep some weight away from
the center of the span if weight is used to remove camber.
The stresses calculated in both kentledge schemes are between 14-19 ksi for both
flanges. Yet, when adding the approximate stresses that might have resulted from wind,
temperature (uniform and differential) and erection forces, the maximum stresses are
between 20-26 ksi.
The stresses in the top flange of span 10-11 would be the greatest concern during
construction because of the potential compressive instability of the flanges working
without a concrete deck. The range of allowable stress given by BS153 for "l/r" values
ranging from 50-90 is 6.8-10.9 tons/in2, or 15.0-24.0 ksi (Royal Commission 59). The
maximum compressive stresses under the two kentledge schemes are just below the
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highest value of 24 ksi. These high values reflect the buckling that occurred during the
procedure to reduce the difference in camber between the halves of the 10-11 span.
As some of the components of the box girder contained mild steel with a yield
strength of 36 ksi, there may be concern that some of the elements of the bottom flange
were only about 12 ksi below yield, or at 67% of yield strength during the camber
reducing operation, which is most accurately represented by Kentledge Scheme 2.
On the other hand, the maximum stresses present during the three jacking schemes
are below 13 ksi, including stresses due to secondary effects.
While these calculations were fairly simple, particularly for Kentledge Scheme 1 and
Jacking Scheme 1, they can give the designer and the contractor a rough idea about the
scale of the stresses they need to consider when planning for and executing the erection
of the structure.
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5. Other Failures
While box girder bridges offer the benefits mentioned in Chapter 3, they were not
very well understood at the time. Including the West Gate collapse, there were four
failures of box girder bridges of somewhat similar design during construction in different
parts of the world from 1969 to 1971. Remarkably, no two of these failures much alike.
All four, however, were associated with instability of thin plates in compression [14].
The main causes of these failures were: a) the application of buckling theory with
inadequate factors of safety, and b) poor detailing rules and the absence of fabrication
tolerances [14].
The bridges that failed were, in chronological order:
" The Fourth Danube Bridge (Vienna, Austria, November 6, 1969)
* The Milford Haven Bridge (now, the Cleddau Bridge) (United Kingdom, June
2, 1970)
" The West Gate Bridge (Melbourne, Australia, October, 15, 1970)
" The Rhine Bridge (Koblenz, West Germany, November, 10, 1971) [14].
5.1. Fourth Danube Bridge
The Fourth Danube Bridge consisted of twin box girders in three spans of 393 ft, 688
ft, and 269 ft. During construction, buckling was found on both box girders at two points:
at the center of the 393 ft span, and about 197 ft from the right bank pier in the center
span. The resulting shortening of the superstructure damaged the abutment bearings and
support at the pier. The closing point, having only four web plates with small flanges, had
to withstand the full dead weight moment of the steel loads, and the web plates were
stressed beyond the elastic limit. As a result, the small upper flanges were twisted and the
upper sections of the webs plastically buckled (Xanthakos 508).
Three causes for the buckling were expressed:
1) The theoretical buckling stress curve used as a basis for the safety check was 7%
higher than the actual buckling stresses in the elastic-plastic transitional range, and the
bottom plates where the damage occurred were within this range of maximum deviation.
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2) Deformations caused by welding seams in the bottom plate and its ribs and
variations in plate thickness represented deviation from the assumed ideal straight plane
of the panel.
3) Differential temperature in the deck-steel box system, particularly a temperature
drop during the night, was stated as the principal cause. The roadway deck was heated
above air temperature under sunshine, but cooling after sunset caused additional
compression stresses in the bottom plates (Xanthakos 508).
5.2. Milford Haven Bridge
The Milford Haven Bridge, located in Wales, UK, had many features in common
with the West Gate Bridge, including the use of a trapezoidal box girder. It consisted of a
welded box girder superstructure with a main span of 700 ft and was claimed to be
Europe's longest bridge without cable support. The trapezoidal box is 20 ft deep, 66 ft
wide at the top, and 22 ft wide at the bottom (Xanthakos 507). The box girder was much
smaller in width but much larger in depth than the West Gate Bridge. It was also a single
cell section having no internal webs (Royal Commission 26).
The collapse, however, was dissimilar to that of the West Gate Bridge in that it
originated at a point of negative moment over one of the columns when a span was being
cantilevered out, whereas in the West Gate Bridge, the failure was at a region of positive
moment near the center of what was, at the time, a simply supported span (Royal
Commission 12).
It is clear from the reports of the failure that it was initiated by buckling of the
support diaphragm at the root of the cantilever being erected. This diaphragm was
subjected to a hogging bending moment and a large vertical shear force. The diaphragm
was torn away from the sloping webs near the bottom of the box, allowing buckling of
the lower web and bottom flange to take place [14].
The diaphragm plate near the outer bottom corners was subjected to a complex
combination of actions. The shear of the transverse girder and diffusion of the point load
from the bearings was compounded with out-of-plane bending effects caused by bearing
eccentricity and the effects of inclination of the webs of the main bridge girder which
produced additional horizontal compressive action [14].
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As the diaphragm buckled it shortened, reducing the overall depth of the box girder;
the tendency of the bottom flange to buckle was increased by this reduction of distance
between flanges, which increased the force needed in each flange to carry the moment
with a reduced lever arm. The weakened section was unable to sustain the moments
imposed and the cantilever rotated about the virtual hinge that was formed (Royal
Commission 12).
Xanthakos notes three unforeseen hazards in the construction of the Milford Haven
Bridge: a) the diaphragm could have been as much as 3/4 in out of flat, making it
susceptible to local buckling, b) the bearing on the pier was out of line with the neutral
axis of the diaphragm and could impose bending moment, and c) some bolts intended to
be loose in oversized holes were tight, and under load movement they could have torn the
longitudinal stiffeners from the bottom flange and made it unstable in compression. In
addition, subsequent calculations indicated that the diaphragm would be prone to failure
when the reactions at the pier supporting the cantilevered span exceeded 900 long tons.
At the time of failure the reaction was 963 long tons (507-8).
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Figure 20: Milford Haven bridge after collapse
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Figure 21: Schematic diagram of bridge and failure
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Figure 22: Diaphragm over Pier 6 of Milford Haven Bridge
5.3. Rhine Bridge in Koblenz
The center span of the Koblenz Bridge over the Rhine River collapsed during
construction on November 10, 1971, when erection had almost reached the mid-point of
the 235 m span. The bridge was a single steel box, 16.4 m wide at the top plus
cantilevers, and 11 m wide at the bottom. The box was erected by cantilevering, with 85
tons being lifted at a time [14].
The bottom flange was stiffened longitudinally by T-stiffeners, and the box was
stiffened transversely by frames with diagonals made of 300 mm diameter steel tubes. All
site joints were welded, a relatively new technique in Germany at the time. As shown in
the following figure, a 460 mm gap was provided in the longitudinal T-stiffeners of the
lower flange to permit the passage of automatic welding equipment making the transverse
butt weld splicing the flange plate. The T-stiffener was then itself spliced by welding in
two plates, with the plate splicing the web of the stiffener being just 460 mm long and
butt welded. To avoid a local concentration of residual welding stresses, this plate was
not welded to the bottom flange of the box, but was set with its bottom edge 30 mm clear
of the flange. The plate splicing the table of the T-stiffener was lapped on top of the ends
of the two T sections [14].
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It was determined that:
* The bottom flange plate, which carried large compressive stresses during
construction, was unsupported over a 460 mm length at each site splice.
. The main butt weld in the bottom flange plate was at the center of this 460 mm
length, possibly introducing a slight lack of straightness.
. The centroid of the splice of the T-stiffener was almost certainly further from the
flange than that of the T itself, causing an eccentricity that put the flange plate under a
larger compressive stress at this point [14].
The following investigation showed that the bottom flange plate could carry its stress
safely if out-of-straightness was no more than 0.95 mm on the 460 mm unsupported
length. In fact the plate was out-of-straight by as much as 2 mm at some points [14].
The failure began when the flange plate suddenly folded up at the splice into the 30
mm recess. Much of the stress that should have been carried by the plate was
consequently thrown off onto the T-stiffeners. They were then taking three times their
design stress, and they buckled as well, leading to global collapse [14].
An inquiry into the failure concluded that there had been no negligence. The design
calculations had all been done correctly according to the methods normally used at that
time in Germany. However, it was the methods that needed revision [14].
A report by the Technical University of Karlruhe indicated that the Rhine River
Bridge failed because of inadequate stiffening across the transverse weld seam in the
lower flange. Without direct support, the flange plate had a theoretical safety factor of
1.79, but in the presence of the smallest wave in the flange plate this factor was reduced
to 1.0. The conclusion was reached that the linear theory used to calculate the critical
buckling stress on the steel plates was inadequate (Xanthakos 508-9).
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Construction method was to cantilever out from each side of the river.
At the time of collapse the seventh and final trough unit supported from
the Koblenz bank was about to be hoisted up to bridge level.
Figure 23: Schematic diagram of failure of Koblenz Bridge
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Figure 24: Bottom flange splice of Koblenz Bridge
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Figure 25: Schematic diagram of construction joints and their influence on failure
5.4. Impacts on Other Bridges
According to Hitchings, the West Gate Bridge was one of the world's most
troublesome, costly and controversial projects. More than fifty bridges throughout Europe
were closed down for examination after the collapse, and thirty-four of these had to be
strengthened before bring reopened (5).
One example of a bridge whose design was altered as a result of the failures is the
Erskine Bridge, a box girder bridge which opened in July 1971, spanning the River Clyde
in west central Scotland. It was under construction when the Milford Haven and West
Gate Bridges collapsed. Calculations in design were remade and it was found that it
would fail to meet in the middle. As a result, two cable stays were added to the box girder
structure as support [9].
These failures drew attention to several fundamental problems associated with the
ultimate limit state of box girder bridges, such as: a) the margin of safety during
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construction as it relates to theoretical aspects of failure probabilities, b) the inadequacy
of linear buckling theory for sections that are wide in comparison to their length, and c)
the understanding of the ultimate capacity of partially completed steel box girders
(Xanthakos 509).
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6. Behavior of Stiffened Panels
This chapter provides an overview of the modes of buckling of stiffened panels as
understood from 1997 to 2004.
6.1. A contribution to the stability of stiffened plates under uniform compression
(1997)
This paper first presents a comprehensive literature review of research done on the
stability of stiffened plates under compressive load, covering global (or overall) buckling,
local buckling, ultimate strength, and sensitivity to imperfection.
Six modes of buckling are presented:
Mode I (Fig. 26 a) - This mode is symmetric and is commonly known as global or
overall mode. It occurs when a wide plate buckles together with the stiffener, which may
be considered "light."
Mode II (Fig. 26 b) - This mode is antisymmetric and is commonly known as the
local mode. It occurs when the stiffener is flexurally stiff and torsionally weak. In this
case, the stiffener subdivides the plate into several segments of width "S," with
longitudinal edges almost rotationally free.
Mode III (Fig. 26 c) - This is an intermediate mode that is possible if the stiffener is
not flexurally stiff.
Mode IV (Fig. 26 d) - This is a symmetric mode that is possible if the stiffener is
both flexurally and torsionally stiff. In this case, the longitudinal edge of each panel is
rotationally clamped, leading to a higher buckling load for each panel than in Mode II.
Mode V and VI (Fig. 26 e and f) - These modes occur if the stiffener is slender and a
torsional buckling mode or local buckling of the plate components of the stiffener results
without participation of the plate [2].
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Figure 26: Various buckling modes of stiffened plates
Combinations of these buckling modes are also possible when two or more local
modes interact. Therefore, the buckling mode of the structure depends on the geometric
characteristics of the attached stiffener [2].
Despite the wide literature on stiffened plates, little is known about the geometric
proportions of the plate and stiffeners required to trigger these buckling modes [2].
From a design perspective, it is important to first study the geometric interaction
between the plate and the stiffener elements, and to show the transition from the overall
to the local mode. Then, it might be possible to proportion the structure to either buckle
locally or in a global mode. The ultimate strength of the structure can then be determined
based on this information [2].
The second part of the paper presents theoretical formulations for the stability
analysis of stiffened plates under uniform compression. The strain energy components for
the plate and stiffener elements are derived in terms of the out-of and in-plane
displacement functions and sequential quadratic programming is used to find the
buckling load of the structure for the given plate/stiffener geometric proportions. The
efficiency of this method is compared with the finite element method [2].
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6.2. Stiffened steel plates under uniaxial compression (2001)
Stiffened plates under uniaxial compression or under combined bending and
compression can buckle in one of four forms:
Plate-induced buckling (Fig. 27 a) and stiffener-induced overall buckling (Fig. 27 b):
Overall buckling (sometimes referred to as Euler buckling) is characterized by the
simultaneous buckling of the stiffener and the plate. If the buckling occurs with the
stiffener on the concave (compression) side of the plate, overall buckling is said to be
stiffener-induced. If the stiffener is on the convex side of the plate, overall buckling is
said to be plate-induced. These two failure modes are typically characterized by a very
stable post-buckling response where buckling is characterized by a sharp change in
stiffness.
Plate buckling (Fig. 27 c):
Plate buckling failure is characterized by buckling of the plate between the stiffeners,
resulting in a load redistribution from the plate to the stiffeners. This failure mode tends
to have a more significant drop in load carrying capacity in the post-buckling range than
the overall buckling failure modes.
Stiffener tripping (Fig. 27 d):
Stiffener tripping is characterized by the rotation of the stiffener about the stiffener-
to-plate junction. Therefore, it is a form of lateral-torsional buckling where torsion takes
place about this junction. As opposed to other modes of failure, stiffener tripping
generally results in a sudden loss of load carrying capacity. Because of this sudden drop
in capacity accompanying stiffener tripping, this mode of failure is considered a more
critical failure mode than the other stiffened plate failure modes previously identified.
However, this failure mode has received far less attention than the other modes [19].
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Figure 27: Typical buckling modes
The following figure illustrates load versus deformation behavior of the modes
described above. These relationships were also observed experimentally [19].
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Figure 28: Load versus deformation behavior
The failure modes observed when a stiffened plate is subjected to a concentric load
consist of overall buckling, plate buckling, or a combination of these two modes, referred
to as "interaction buckling." In all the cases investigated with stiffened plates subjected to
axial load only, no failure took place by stiffener tripping. Both the plate buckling and
plate-induced overall buckling behaviors are considered to be stable failure modes,
characterized by a very slow decrease in capacity. However, the interaction between
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these two buckling modes leads to an abrupt loss of capacity of the stiffened plate when
the overall buckling mode is triggered. Further investigation, experimental and
numerical, into the interaction buckling mode was under way at the University of Alberta
at the time the paper was written [19].
A total of eleven non-dimensional parameters describing the response of stiffened
steel plates to axial loading and bending were identified from a literature survey on the
work done to investigate overall buckling, plate buckling and stiffener tripping of steel
plates [19].
The effect of the stiffener torsional slenderness to plate transverse flexural
slenderness ratio, stiffener-to-plate ratio, and the plate slenderness ratio, on the strength
of stiffened plates failing by either plate buckling or overall buckling was found to be
significant. The stiffener flange and web slenderness were found to have a negligible
effect as long as their value was sufficiently low to prevent local buckling [19].
The paper also compares design guidelines proposed by Det Norske Veritas (DnV)
and the American Petroleum Institute (API). The DnV classification is based on the
Perry-Robertson column approach, which makes use of an effective width concept in
which a stiffener with an effective plate width replaces a multiply stiffened plate. API
guidelines for stiffened steel plates are based on the concept of reduced slenderness of a
stiffened panel consisting of a stiffener acting with a plate of reduced width [19].
The study found that the API guideline overestimated the overall buckling capacity
and the plate buckling capacity. DnV was non-conservative on the latter capacity. Since
neither code deals with interaction failure, the capacity of the plates that failed in this
mode was predicted by taking the lower of the overall buckling or stiffener tripping
capacities predicted by each guideline. In both cases the stiffener tripping capacity
governed the capacity, although this mode of failure was not observed in the specimens
loaded under uniaxial compression only [19].
6.3. Buckling of stiffened plates with bulb flat flanges (2004)
Bulb stiffeners are used as stiffening elements in older bridges and in naval vessels.
Their use in ship design is said to reduce building time and maintenance cost. The curved
surface of the bulb flat stiffener is very easy to inspect, weld and paint. These benefits
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save significant repair and maintenance costs over the lifetime of the vessel [8]. These
benefits may be related to those of using bulb flats in bridges.
The investigation of stiffened plates is carried out in three general forms: theoretical,
using classical and emerging theory; numerical, using finite element methods and
computer-aided simulation; and experimental, using stiffened plates under compressive
loading. Most of what is known of the behavior of bulb flat stiffened plates appears to
come from numerical and experimental investigations. The paper attempts to consider
new theoretical insights into the behavior of stiffened plates [8].
Previously, the only published work on buckling behavior of bulb plates consisted of
Chou (1997), Chou and Chapman (2000) and Chou et al. (2000). Their analysis idealizes
the bulb flat flange as an equivalent angle flange, treating the bulb flat cross section like a
rectangular cross section with regard to the bulb flat torsional and warping properties.
Danielson and Wilmer show that this idealization creates error in the calculation of the
bulb flat stiffener's torsional rigidity, resulting in conservative estimates. Finite element
analysis shows that the torque-carrying capacity of a bulb flat stiffener (with no structural
flaws) is greater than that of an angle stiffener with an equivalent area [8].
The authors used an energy method to derive general expressions to predict the
buckling stress due to stiffener tripping of a simply supported rectangular stiffened plate
subjected to axial compression. The onset of stiffener tripping negates the stiffener's
support to the plate panel and leads to the eventual collapse of the structure [8].
For stiffeners with a bulb flat flange, the values predicted with a simple formula are
less than 4% higher than the finite element results [8].
The modes of deflection identified in the paper are:
Mode 1 (Fig. 29 a) - This mode is described as a bending of the web in one half-
wave and a rotation of the flange about a point at the top of the web. There is no flange
bending along its length. This mode could occur when the flange bending stiffness is
large compared to the flange torsional and web bending stiffnesses.
Mode 2 (Fig. 29 b) - This deflection corresponds to a significant bending of the
flange and web with no flange torsion. This mode could occur when the flange torsional
stiffness is large compared to the flange and web bending stiffnesses.
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Mode 3 (Fig. 29 c) - This deflection corresponds to the flange exhibiting a
combination of bending and twisting while the web tends to remain straight. This mode
could occur when the web bending stiffness is large compared to the flange torsional and
bending stiffnesses. This case is likely to occur when the flange offers little or no
additional stiffness to the plate structure compared to the contribution of the web [8].
(a) (b) (C)
Figure 29: Various modes of deflection
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7. Stiffness Requirements for Stiffeners of Compression Panels
7.1. Research by Choi and Yoo (2006)
In light of the complex nature of the behavior and analysis of stiffened panels under
compression there are few, if any, "hard and fast" rules to their design. Several codes,
including Eurocode, British Standard, and AASHTO (American Association of State and
Highway Transportation Officials) specify minimum stiffnesses for transverse and
longitudinal stiffeners of compression panels. However, these requirements are for
narrower box girders with fewer longitudinal stiffeners, compared to the West Gate
Bridge. This chapter will show that extrapolation of AASHTO requirements for single-
cell box girders of larger scales (greater width and more longitudinal stiffeners) is not an
effective method for the design of such a structure.
Choi and Yoo say the AASHTO requirements are inconsistent. In recent years some
confusion has arisen due to the different rules adopted in the AASHTO specifications
guiding the design of transverse flange stiffeners. Articles 10.39.4.4.1 and 10.39.4.4.2
state that the transverse stiffeners must be proportioned so that the moment of inertia of
each stiffener about an axis through the centroid of the section and parallel to its bottom
edge is at least equal to:
i, = 0.10(n +1) 3 W3 fs (1)
E a
where:
w = width of flange between longitudinal stiffeners or difference from a web to the
nearest longitudinal stiffener
Af= area of the bottom flange, including longitudinal stiffeners
a = spacing of transverse stiffeners
E = modulus of elasticity
fs = maximum longitudinal bending stress in the flange of the panels on either side of
the transverse stiffeners [5].
Because Af and fi are mutually interdependent, there can be a large number of
combinations of these two parameters that satisfy the equation. Therefore, the proper
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choice of the parameters is an iterative process in which the designer's intuition is
significant [5].
The Eurocode specification for stiffness of transverse stiffeners requires a
"complicated iterative process" because of parameters that are interdependent or directly
coupled with I, [5].
Article 10.51.5.4.4 of the load factor design of AASHTO requires the minimum
stiffness for transverse stiffeners to be:
is = Of W3 (2)
where P = 0.125k3 for n = 1 and p = 0.07k 3n4 for n = 2, 3, 4, or 5. k is a buckling factor
which should not exceed 4. These rules are the same as those adopted in the 2nd edition of
the AASHTO LRFD manual. More recently, the 3rd edition of the AASHTO LRFD
manual uses equation (1) for the design of transverse stiffeners and equation (2) for the
longitudinal stiffeners. It has been suggested that equation (2) requires an unreasonably
high value of ridigity, especially when the number of longitudinal stiffeners becomes
large. Choi and Yoo believe that an overly conservative approach has been adopted
during the course of simplifying and extrapolating the limited research results for
multiple stiffeners. Recognizing this "awkwardness," the latest AASHTO specifications
suggest that the number of longitudinal stiffeners should be preferably limited to two.
The authors say that a thorough examination is clearly required to clarify this issue of
required minimum stiffness [5].
Yoo et al. numerically identified the minimum stiffness requirement for longitudinal
flange stiffeners and proposed a new equation that could rationally replace the current
AASHTO design standard. This relationship is:
Is = 0.3a 2 Vtf 3w (3)
where a = a / w = aspect ratio of a subpanel of a stiffened flange [5].
The term "subpanel" refers to a portion of a steel panel bounded by adjacent
longitudinal stiffeners or webs and their adjacent transverse stiffeners [5].
Transverse stiffeners used as bracing members for longitudinal stiffeners should
have sufficient bending stiffness to effectively restrain the longitudinal stiffeners. This
requirement pertains to both the "column behavior" model adopted in Eurocode and BS
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5400 and the "plate behavior" approach adopted in AASHTO. As the aspect ratio of the
subpanel is one of the most influential parameters determining the minimum stiffness of
the longitudinal stiffener, it should also be an equally important parameter defining the
required strength and spacing of adjacent transverse stiffeners [5].
The authors say that there are no reliable design guides that rationally define the
minimum stiffness requirement and the spacing of transverse stiffeners, particularly for
the "plate behavior" approach adopted by AASHTO [5].
The data resulting from a series of non-linear incremental analyses and elastic
buckling analyses was reduced by means of a regression process to extract analytical
equations. The validity of these equations was then tested using the results of parametric
studies for the minimum stiffness requirement of transverse stiffeners [5].
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Figure 30: Column approximation of a typical stiffened flange
The figure above gives an overview of the column approximation of a typical
longitudinally and transversely stiffened flange.
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Fig. 30 (a) shows the stiffened flange, Fig. 30 (b) shows the laterally braced column
approximation, Fig. 30 (c) shows behavior when the transverse rigidity k, is sufficient,
and Fig. 30 (d) shows the simple beam approximation of a transverse stiffener.
In both the "column behavior" and "plate behavior" concepts, the role of a transverse
stiffener is assumed to be similar to that of a laterally braced column system, as shown in
the previous figure.
The study first considered elastic buckling. The following figure shows the typical
buckling mode shapes of the model. These shapes are as follows:
Global symmetric mode (Fig. 31 a) - When the transverse stiffener is not sufficiently
stiff to establish to establish a nodal line on the flanges, it buckles along a column
buckling mode. The stiffened flange buckles in a symmetric mode at a much lower
buckling stress.
Local antisymmetric mode (Fig. 31 b) - When the stiffness of the transverse stiffener
is greater than a certain limiting value, the subpanel local buckling mode shape is
antisymmetric. In this mode, the transverse stiffener remains straight and establishes a
nodal line on the stiffened flange.
Global antisymmetric mode (Fig. 31 c) - If the longitudinal stiffeners are not
sufficiently stiff, the compression flange buckles into an antisymmetric mode despite the
fact that they are connected to a sufficiently stiff transverse stiffener [5].
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Figure 31: Typical buckling mode shapes
The "column behavior" approach adopted in European countries exhibits buckling
mode shapes similar to those shown in (a) and (c) of the previous figure. As demonstrated
in previous studies by Choi, Yoo (2005), Yoo, Choi, Ford (2001) and Yoo (2001),
longitudinal stiffeners that meet the requirements of equation (3) ensure the buckling
mode of Fig. 31 (b). In the "plate behavior" approach, the strength is determined by the
buckling strength of the subpanel stiffened with longitudinal stiffeners meeting the
requirement of equation (3) while, in the "column behavior" approach, it is determined
by the buckling strength of the pseudo-column (or strut) consisting of the isolated
longitudinal stiffener plus effective protruding elements. Thus, in the "column behavior"
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approach, there are no theoretical minimum or maximum stiffness requirements for the
longitudinal stiffeners [5].
As calculated by the authors, the buckling strength (critical stress) corresponding to
the antisymmetric buckling mode is always greater than that corresponding to the
symmetric buckling mode. Once the antisymmetric buckling mode is reached, the
buckling strength of a stiffened flange increases only slightly. This is analogous to the
behavior of a simply supported column braced midheight with a linear spring. Thus, it
can be specified that the flange stiffeners (both longitudinal and transverse) should be
designed to meet the minimum required rigidity in order to insure antisymmetric buckling
of the subpanel. Therefore, it is important to be able to accurately compute the minimum
required stiffness in order to avoid being wasteful [5].
An incremental non-linear analysis was performed on the results of the parametric
studies and regression analysis. This analysis resulted in the following equation for
required stiffness of transverse stiffeners:
;r 2 8(n +1) 3 wt 3  (4)
3ay
where:
P = coefficient accounting for effect of the span number partitioned by the transverse
stiffeners
y = 48, 28, 21, and 16 for 1, 2, 3, and 4 longitudinal stiffeners, respectively with b
(an isolated transverse stiffener is considered to behave as a simply supported beam
with length, b) [5].
This analysis accounted for initial geometric imperfections by scaling the elastic
buckling mode shapes using the maximum tolerance criteria for the fabrication given by
the current authorized specifications. This includes maximum tolerance for the panel
flatness deviation due to welding (from Article 3.5 of the Bridge Welding Code of
ANSIA/AASHTO/AWS) and maximum tolerance for straightness of the transverse
flange stiffeners which are not subjected to compressive stress (from Article 11.4.13.4 of
Division II in AASHTO). Geometric imperfections due to the out-of straightness of the
transverse flange stiffeners may have a significant influence on the ultimate strength of
the stiffened flange in the symmetric buckling mode. The following figure shows the
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resulting ultimate failure modes for a transversely stiffened flange. It shows that the
symmetric mode and the antisymmetric mode are intertwined, especially in Fig. 32 (c).
However, the antisymmetric modes appear to be dominant in all the failure modes,
particularly in the longitudinal direction [5].
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Figure 32: Ultimate failure modes of transversely stiffened flanges
The study establishes that the use of equation (4) for the minimum required moment
of inertia of the transverse stiffener is valid and can be extended to the inelastic buckling
range. Thus, it can be concluded that this equation provides a rational guideline for the
determination of the minimum required stiffness for the transverse flange stiffeners [5].
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7.2. Comparison of stiffener requirements
As mentioned in the previous section, codes currently have a limited ability to
provide guidance for the choice of stiffeners for the plates of box girders. Furthermore,
the codes are designed for box girders with only a few longitudinal stiffeners- these cells
are often part of multi-cell bridges. This section shows the result of calculations of
AASHTO and Choi and Yoo requirements for both longitudinal and transverse stiffeners
for different parts of the West Gate Bridge girder: the top flange as a whole, the inner and
outer sections of the top flange, and the bottom flange. Equation (2) of the previous
section is used to calculate the required moment of inertia of longitudinal stiffeners, as
was specified in the 3rd edition of the AASHTO LRFD manual.
For each section of the bridge, the required stiffnesses are calculated for the pre-
strengthened and strengthened conditions. For the latter condition, the number of
longitudinal stiffeners was doubled and the spacing of transverse stiffeners was halved
according to the effort to strengthen the bridge after the Milford Haven collapse.
The calculations are also made for sections of smaller scale. The width, number of
longitudinal stiffeners, and the spacing of transverse stiffeners are decreased by scale
factors of '/2 and . Finally, the resulting moments of inertia are compared to the 6" x
3.5" x .5" angles (Ixx = 16.6 in4) and 15" channels (middle size: I,, = 349 in4) to be added
as additional longitudinal and transverse stiffeners, respectively, for the girder. The initial
design used bulb flats for stiffeners. However, the size of these sections was difficult to
determine from the Make Up Sheet included in the Report of the Royal Commission.
The results are presented in the following table:
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Section Before/After Strengthening Scale Stiffness AASHTO Choi and Yoo Present in Design
Top Flange - All Pre-Strengthened 1 It (in ) 246,266 8,484 349
Strengthened 1 It (in 4 ) 492,532 33,256 349
Pre-Strengthened 1/2 It (in4 ) 61,566 2,206 349
Pre-Strengthened 1/4 It (in 4 ) 15,392 594 349
Pre-Strengthened 1 Is (in 4) 3,143,811 30.7 16.6
Strengthened 1 Is (in 4) 25,663,765 21.3 16.6
Pre-Strengthened 1/2 Is (in4 ) 188,931 5.6 16.6
Pre-Strengthened 1/4 Is (in4) 10,965 1.1 16.6
Top Flange - Inner Pre-Strengthened 1 It (in 4) 3,909 150 349
Strengthened 1 It (in 4) 7,818 557 349
Pre-Strengthened 1/2 It (in 4) 977 43 349
Pre-Strengthened 1/4 It (in 4) 244 13 349
Pre-Strengthened 1 Is (in 4) 11,022 17.1 16.6
Strengthened 1 Is (in4) 94,963 11.2 16.6
Pre-Strengthened 1/2 Is (in 4) 603 3.5 16.6
Pre-Strencgthened 1/4 Is (in4 ) 30 0.8 16.6
Top Flange - Outer Pre-Strengthened 1 It (in 4) 12,918 476 349
Strengthened 1 It (in4 ) 25,837 1,807 349
Pre-Strengthened 1/2 It (in4) 3,230 131 349
Pre-Strengthened 1/4 It (in 4) 807 39 349
Pre-Strengthened 1 Is (in 4) 58,182 20.1 16.6
Strengthened 1 is (in 4) 489,955 13.5 16.6
Pre-Strengthened 1/2 Is (in 4) 3,306 3.9 16.6
Pre-Strengthened 1/4 Is (in4) 175 0.6 16.6
Bottom Flange - All Pre-Strengthened 1 It (in 4) 103,199 7,791 349
Strengthened 1 It (in 4) 206,397 30,785 349
Pre-Strengthened 1/2 It (in 4) 25,800 1,995 349
Pre-Strengthened 1/4 It (in 4) 6,450 523 349
Pre-Strengthened 1 Is (in 4) 11,068,725 86.8 16.6
Strengthened 1 Is (in 4 ) 89,643.008 60.6 16.6
Pre-Strengthened 1/2 Is (in 4) 675,324 15.7 16.6
Pre-Strengthened 1/4 Is (in 4) 40,289 2.9 16.6
It (in 4) = moment of inertia of transverse stiffeners
Is (in 4 ) = moment of inertia of longitudinal stiffeners
Table 2: Comparison of required stiffnesses
Many of the stiffnesses calculated using the AASHTO equations are larger than that
of the largest W-section included in the 1973 Manual of Steel Construction (20,300 in 4).
In every case, the AASHTO equations give values for transverse stiffeners that are much
higher than the Choi and Yoo results. In one case, the AASHTO requirement for stiffness
of transverse stiffeners was below that used for the strengthening of the West Gate
Bridge. The Choi and Yoo equations give some stiffnesses that are much higher than
those of the stiffeners used in the West Gate Bridge, some that are well below, and some
between the extremes.
Similar to the comparison of transverse stiffeners, the AASHTO results for
longitudinal stiffeners are much higher than the Choi and Yoo results. The AASHTO
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results are higher than the moment of inertia of the angle sections used in the West Gate
Bridge by several orders of magnitude, except for the scale inner and outer top flange
calculations. The Choi and Yoo requirements for stiffness of longitudinal stiffeners have
the same order of magnitude as the moment of inertia of the angle sections used in the
West Gate Bridge, but also vary in being higher and lower than their moment of interia.
These results show that the requirements of the codes and proposed equations are not
appropriate for box girders of larger scales. In many cases, the equations require
extremely high moments of inertia; in other cases, the equations may give non-
conservative requirements for moments of inertia.
This lack of guidance for larger box girders illustrates an even greater need for the
designer to be knowledgeable of the critical stresses and behavior that certain elements,
or systems of elements, can exhibit. In the presence of uncertainty about such properties
of stiffened plates under compression, a conservative approach is necessary. Moreover,
these inconsistent results also show a need for further research into and understanding of
the critical stresses, buckling and failure modes of stiffened plates, as well as their
sensitivity to imperfections.
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8. Recent Example of a Successful Box Girder Bridge
Despite the complex nature of the design of larger box girder bridges, there are many
examples of their successful design and construction. One is the Storrow Drive
Connector Bridge, part of the Central Artery/Tunnel project in Boston.
This bridge is the largest steel box girder bridge in the United States. Its single-cell
trapezoidal steel box girder supports a 76 ft wide roadway with four lanes of traffic [16].
Early in the design process, a survey was conducted to gather industry capabilities
and preferences for fabrication, handling, transport and erection of large box girder
sections. This survey formed the basis for evaluating different choices during the study of
various bridge types and the preliminary design phases [16].
The bridge has three spans with a main span of 380 ft. The box girder measures 34.5
ft out-to-out of top flanges and has a 31 ft wide top flange. It varies in depth from 8 ft at
the end piers to 10 ft at the center of the main span. The web slope is constant and the
depth is variable. The bottom flange is 18 ft wide at the main piers and attains its
maximum width of 25 ft at the end piers [16].
The entire girder was fabricated in Florida. It was shop assembled in sections from
end to end, including cantilever outriggers and fascia girders, and surveyed to verify the
cambered geometry. Afterward, the sections were disassembled and shipped to Boston by
boat [16].
Over the areas of negative moment near the main piers, the box girder bottom flange
was stiffened with WT 16.5 x 100.5 sections as transverse stiffeners and six lines of WT
10.5 x 36.5 sections as longitudinal stiffeners [16].
The 10 in thick 4500 psi concrete deck slab was designed to act compositely with the
main girder, as well as transverse floor beams (including the cantilever outriggers) and
the longitudinal fascia girders. The deck slab provides a fairly high level of two-way
action, except for the six foot cantilever overhang beyond the fascia girders [16].
HNTB Corporation, Boston served as the structural engineering firm; the design was
analyzed using GT Strudl and their in-house software [16].
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Figure 33: Side view of Storrow Drive Connector Bridge
Figure 34: Side view of Storrow Drive Connector Bridge during construction
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9. Conclusion
The box girder presents a number of advantages, including increased rigidity and a
lighter structure. However, they also have behavior and failure modes that must be
considered in their design and construction.
The failure of the West Gate Bridge, in addition to being a tragedy of human loss, is
an example of design and construction that lacked adequate consideration of the behavior
of the box girder in its erection and service states. The failure is also a result of non-
conservative design and a lack of communication among the involved parties. Since the
behavior and failure of the box girder was generally not well understood, it was
especially important for the engineers and contractors to follow conservative approaches
because of this additional uncertainty.
While the design and construction processes were complex and showed many
difficulties for several companies, some of the extra stresses induced during construction
of span 10-11 could have been avoided by providing adequate vertical support for the
relatively simple structural system present- the simply supported beam.
The other failures of box girder bridges discussed in this thesis display the lack of
understanding of the structural system, which was becoming a more popular option at the
time. While our ability to model, observe, and predict the behavior of stiffened plates- a
characteristic element of the box girder- has increased, there currently is still a need for
more research on the topic.
Presently, there are no established equations or codes for simpler, more standardized
design of wide, long span box girder bridges without cable support. Furthermore, the use
of certain guidelines intended for smaller, multi-cell box girder bridges for larger, single-
cell girders has been demonstrated to be inappropriate, as they yield inconsistent and
questionable requirements for flange stiffening elements.
Despite the difficulties presented in this paper, box girders have great potential for
bridges of various spans and widths. A recent example is the Storrow Drive Connector
Bridge in Boston, MA- the largest steel box girder bridge in the United States. It is an
"innovative demonstration that, with proper planning, steel box girders of these
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dimensions can be designed to yield an elegant and economical solution for today's
marketplace [16]."
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Appendix A
Calculations for Moment under Kentledge and Jacking
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Appendix A - Calculation of Moment of Inertia of Box Girder Cross Section
depth (ft) 3/8 thickness (in) thickness (ft)
13.29 0.375 0.03125
section width (ft) thickness (ft) area (sq ft) arm (ft) moment (ft^3) lo ki A*k^2 lo+A*k2
1 62.53 0.031 1.95 0.016 0.03 0.00016 7.31 104.43 104.43
2 83.56 0.031 2.61 13.274 34.66 0.00021 5.95 92.39 92.39
3 0.031 16.0 0.50 6.645 332 10.66667 068 0.23 10.90
4 0.031 16.0 0.50 6.645 332 10.66667 00 0.23 10.90
5 0.031 13.3 0.42 6.645 2.76 6.11285 0.68 0.19 6.31
6 0.031 13.3 0.42 6,645 2.76 6.11285 0.68 0.19 6.31
total area (sq ft) sum of moments (13) total moment of inertia (ft^4)
6.4 46.86 231.2
location of centroid (ft) 1/2 total moment of inertia (ft4)
7.33 115.6
depth 1f1) 5/2 thickness (in) thickness (ft)
13.29 0.5 0.04167
section width (ft) thickness (ft) area (sq ft) arm (ft) moment (13) lo ki A*k^2 lo+A*k^2
1 62.53 0-042 2-.61 0,021 0,05 0 00038 6 63 -114-58- 114,58
2 83.56 0.031 2,61 13.274 34.66 0.00021 6.62 114.50 114.50
3 0.031 16.0 0.50 6.645 3.32 10.66667 001 0.00 10.67
4 0.031 16.0 0.50 6.645 3.32 10.66667 0.01 0.00 10.67
5 0.031 13.3 0.42 6.645 2.76 6.11285 0.01 0.00 6.11 006 1 0.031 1 13,3 1 42 6,645 2.76 6.11285 0.01 0.00 6.11
total area (sq ft) sum of moments t^3) total moment of inertia (ft^4)
7.0 46.88 262.6
location of centroid (ft) 12 total moment of inetia (ft^4)665 1313
depth (ft) 518 thickness (in) thickness (ft)
13.29 0.625 0.05208
section width (ft) thickness ft) area (sq ft) arm (ft) moment (ft^3) lo ki AN k^2 lo+A*k^A2
1 62.53 0.052 3.26 0.026 0.08 0,00074 6.07 119.90 119.90
2 83.56 0.031 2.61 13.274 34.66 0.00021 7.18 134.65 134.65
3 0.031 16.0 0.50 6.645 3.32 10.66667 0.55 0.15 10.82
4 0.031 16.0 0 50 G.645 3.32 10 (6667 0,55 0.15 10.82
5 0.031 13.3 0.42 6.645 2.76 1 6.11285 0.55 0.13 6,24
6 1 0.031 1 13.3 0.42 1 6.645 1 2.76 1 6.11285 0.55 0.13 1 6.24
total area (sq ft) sum of moments (ft^3) total moment of inertia (ft^ 4)
7.7 46.91 288.7location of centroid 00t 1/2 total moment of inertia (Wt4.)6.09 1 44.3
Cmparison of Moments of Inertia.
318' 1 12l 3/8" Kentledge Case I Kentledge Case 2 1 Avg I (ft^4)
115.6 131.3 144.3 1 116.8 106.4 1 122.89
Appendix B
Calculations of Stiffener Requirements
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Required Stiffnesses: Top Flange - All
prelpost stiffened:
1
Input:
width (ft)
n
If (in)
0
y
k
E (ksi)
Is (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in^2)
AAS HTO -eq (1)
AASHTO - eq (2)
pre/post stiffened:
2
Input:
width (ft)
n
If (in)
01
y
k
E (ksi)
fs (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
* bf stiff
scale:
1
8356
24
0.375
3.922
16
4
29000
21.00
10.5
62.53
0.375
42
3.42
It (mm^4) 1.03E+1 1
It (cm^4) 10.250,360
It (in^4) 246,266
Is (mm^4) 1.31 E+1 2
Is (cm^4) 130,855,301
Is Ain^4) 3,143.811
scale:
1
83,56
48
0.375
3.922
16
4
29000
21.00
5.25
62.53
0,375
42
area bf stiff (in^2) 3.42
AASHTO - eq (1)
AASHTO - eq (2)
it (mm^4) 2.05E+11
It (cm^4) 20.500,720
It (in^4) 492,532
Is (mm^4) 1.07E+13
Is (cm^4) 1.068.206.535
Is fin^4) 25,663,765
width (in)
width (mm)
w (mm)
tIf (mm)
a (in)
a (mm)
q>
E (ksmm)
fs (ksmm)
At (inA2)
Al 1mm^2)
a
1002,72
25469.09
1018.76
9 53
126.00
3200.40
1486356.48
44.95
0.03
425.03
274209.13
3.14
Choi. Yoo - eq (4)
Choi, Yoo - eq (3)
width (in)
width (mm)
w (mm)
If (mm)
a (in)
a (mm)
<pl
E (ksmm)
fs (ksmm)
Al (in^2)
Af (mm^2)
a
It (mm^4) 3.53E+09
It (cm^4) 353.121
It (in^4) 8,484
Is (mm^4) 1.28E+07
Is (cm^4) 1276.9
Is (in^4) 30.7
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I (in^4) 16.6
1002.72
25469.09
519.78
9.53
63.00
1600.20
23781703.68
44.95
0,03
425.03
274209.13
3.08
Choi. Yoo - eq (4)
Choi, Yoo - eq (3)
It (mm^4) 1.38E+10
It (cm^4) 1,384.234
It (in^4) 33.256
Is (mm^4) 8.85E+06
Is (cm^4) 884.8
Is (in^4 21 3
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I lin^4) 16.6
00
pre/post stiffened:
1
Input:
widt
tf
Appendix b
Required Stiffnesses: Top Flange - All
scale:
0.5
h (ft)
n
(in)
03
Y
k
E (ksi)
fs (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in^2)
AASHTO - eq (1)
AASHTO 
- eq (2)
41.78
12
0.375
3.922
16
4
29000
21.00
5.25
62.53
0,375
42
3.42
It (mm^4) 2.56E+10
It (cm^4) 2,562, 590
lIt (in^4) 61,566
Is (mm4) 7.86E+10
Is (cm^4) 7,863,900
Is (in'4) 188.931
width (in)
width (mm)
w (mm)
If (mm)
a (in)
a (mm)
i9
E (ksmm)
Is (ksmm)
Af (inA2)
Af (mm^2)
a
501.36
12734.54
979.58
9.53
63.00
1600.20
92897,28
44.95
0.03
425.03
274209.13
1.63
Choi. Yoo - eq (4)
Choi, Yoo - eq (3)
It (mm^4) 9.18E+08
It (cm^4) 91,811
It (in^4) 2,206
Is (mm^4) 2.35E+06
Is (cm^4) 234.8
Is Iin^41 5.6
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I (in^4) 16.6
pre/post suifened:
Input:
width (ft)
n
tf (in)
0
y
k
E (ksi)
fs (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (inA2)
AASHTO - eq (1)
AASHTO - eq (2)
scale:
0.25
20,89
6
0.375
3.922
16
4
29000
21.00
2.625
width (in)
width (mm)
w (mm)
tf (mm)
a (in)
a (mm)
E (ksmm)
fs (ksmm)
Af (in^2)
Af (mm^2)
a62.53
0.375
42
3.42
It (mm^4) 6.41E+09
It (cm^4) 640,648
It (inA4) 15,392
Is (mm^4) 4.56E+09
Is (cm^4) 456,387
IS (jnA^4! 10 65
250,68
6367.27
909.61
9.53
31.50
800.10
5806,08
44.95
0.03
425.03
274209.13
0.88
Choi. Yoo - eq (4)
Choi, Yoo - eq (13)
It (mm^4) 2.47E+08
lit (cmA4) 24,718
It (inA4) 594
Is (mm^4) 4.47E+05
Is (cm^4) 44.7
Is (in^4) 1.1
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I '; ^ )A 166P
C)
.s(nA1 
Is On4) 1".
21
6
0.375
3.922
16
4
29000
21.00
10 5
Appendix B
Required Stiffnesses: Top Flange - Inner
pre/post stiffened:
1
Input-
width (ft)
n
tf (in)
0
y
k
E (ksi)
fs (ksi)
a (ft)
width (in)
width (mm)
w (mm)
tf (mm)
a (in)
a (mm)
E (ksmm)
s (ksmm)
Af (inA2)
Af (mm^2)
a
252.00
6400.80
914.40
9.53
126.00
3200.40
5806.08
44.95
0.03
425.03
2 7420S 13
3,50
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
1(in^4) 16,6
bottom flange
width bf (ft) 62.53
thickness bf (in) 0.375
# bf stiff 42
area bf stiff (in^2) 3.42
AASHTO - eq (1)
AASHTO - eq (2)
It (mm^4) 1.63E+09
It (cm^4) 162.705
It (in^4) 3,909
Is (mmA4) 4.59E+09
Is (cm^4) 458.790
Is (in4) 11.022
Choi. Yoo - eq (4)
Choi, Yoo - eq (3)
It (mm^4) 6.24E+07
It (cm^4) 6,245
It (in^4) 150
Is (mm4) 7.11E+06
Is (cm^4) 711.3
Is fin^4) 17.1
pre/post stiffened:
2
Input
width (ft)
n
If (in)
k
E (kSi)
Is (ksi)
a (11)
21
12
0.375
3.922
16
4
29000
21.00
5.25
bottom flange
width bf (ft) 62.53
thickness bf (in) 0.375
# bf stiff 42
area bf stiff (in^2) 3.42
AASHTO - eq (1)
AASHTO - eq (2)
scale
1
width (in)
width (mm)
w (mm)
tf (mm)
a (in)
a (mm)(P
E (ksmm)
fs (ksmm)
Af (in^2)
Af (rm^2)
0
252.00
6400.80
492.37
9.53
63.00
1600. 20
92897.28
44 95
0.03
425.03
274209.13
3.25
Actual - med size 15" channel
I (in^4) 349
Actuat - 6" x 3.5" x .5" angle
I(in^4) 16,6
It (mm^4) 3 25E+09
It (cm^4) 325.411
It (in^4) 7.818
Is (mm^4) 3.95E+10
Is (cm^4) 3,952.655
Is (in^A4) 94.963
Choi, Yoo - eq (4)
Choi, Yoo - eq (3)
It (mm^4) 2.32E+08
It (cm^4) 23,195
It (in^ 4 557
Is (mm^4) 4.67E+06
Is (cm^4) 467 1
is in^M4 11.2
scale:
pre/post stiffened:
1
lnput
Appendix B
Required Stiffnesses: Top Flange - Inner
scale:
0.5
width (ft)
n
tf (in)
0
k
E (ksi)
Is (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in^2)
AASHTO - eq (1)
AASHTO - eq (2)
10.5
3
0.375
3.922
16
4
29000
21.00
5.25
62.53
0.375
42
3.42
It (mm^4) 4.07E+08
It (cm^4) 40,676
It (in^4) 977
Is (mm^4) 2.51E+08
Is (cm^4) 25,090
Is (in^4) 603
width (in)
width (mm)
w (mm)
if (mm)
a (in)
a (mm)
tv
E (ksmm)
Is (ksmm)
A) (in^2)
Af (mm^2)
a
126.00
3200.40
800.10
9.53
63.00
1600.20
362.88
44.95
0.03
425.03
27420913
2.00
Choi, Yoo - eq (4)
Choi, Yoo - eq (3)
It (mm"4) 1.78E+07
It (cm^4) 1,784
It (in^4) 43
Is (mm^4) 1.44E+06
Is (cm^4) 143.7
Is (Wn4) 3.5
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I (in^4) 16.61I (in~4) 16.6
pleipusi ssiienea. scae:pretpost stmfened:
10
Input:
width (ft)
n
t f (in)
0
y
k
E (ksi)
Is (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in^2)
AASH TO - eq (1)
width (in)
width (mm)
w (mm)
tf ( mm)
a (in)
a (mm)
E (ksmm)
Is (ksmm)
Af (W^2)
Af (MM^2)
a62.53
0.375
42
3.42
It (mm^4 1.02E+08
ft (cm^4) 10.169
It (in"4) 244
Is (mm^4) 1.25E+07
Is (cm^4) 1.255
Is (in^41 30
It (mm^4) 5,58E+06
It (cm^4) 558
It (in"4) 13
Is (mm^4 3.15E+05
Is (cm^4) 31,8
Actual - med. size 15" Channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I. A 1Ii .l"A 0s
AASHTO - eq (2)
scale:0.25
5.25
1.5
0.375
3.922
16
4
29000
21,00
2.625
63.00
1600.20
640.08
9.53
31.50
800.10
22.68
44.95
0.03
425.03
274209.13
1.25
Choi. Y oo - eq (4)
Choi, Yoo - eq (3)
Appendix B
Required Stiffnesses: Top Flange - Outer
pre/post stiffened; scale:
1 1
Input
width (fit)
n
tf (in)
0
y
k
E (ksi)
fs (ksio
a (ft)
bottom flange
width bf (ft)
thickness bl (in)
# bf stiff
area bf stiff (in^2)
AASHTO - eq (1)
AASHTO - eq 12)
prelpost stiffened:
2
Input
width (fMll
n
tf (in)
01
y
k
E (ksi)
fs (ksi)
a
bottom
width
thickne
# b
area bfl
AASHTO - eq (1)
AASHTO - eq (2)
31.28
9
0.375
3.922
16
4
29000
21.00
10.5
62.53
0.375
42
3.42
It (mm^4) 5.38E+09
It (cm^4) 537.705
It (in^4) 12.918
Is (mm^4) 2.42 E+10
Is (cm^4) 2,421,724
Is (in^4) 58.182
wdth (in)
wdth (mm)
w (mm)
tf (mm)
a (in)
a (mm)
p
E (ksmm)
fs (ksmm)
Af (in^2)
Af (mm^2)
a
375.36
9534.14
953.41
9.53
126.00
3200.40
29393.28
44.95
0 03
425.03
274209.13
3.36
Choi. Yoo - eq (4)
Choi. Yoo - eq (3)
It (mm^4) 1.98E+08
It (cm^4) 19,793
It (in4) 476
Is (mmA4) 8.36E+06
Is (cm^4) 835.5
Is (in^4) 20.1
Actual - med. size 15" channel
l(in^4) 349
Actual - 6" x 3.5" x .5" angle
I lin^4) 16.6
scale
1
31.28
18
0.375
3.922
16
4
29000
21.00
5.25
flange
bf (ft) 62.53
ss bf (in) 0.375
f stiff 42
stiff (in^2) 3,42
It (mm^4) 1,08E+10
It (cM4) 1.075,410
It 'in^4) 25,837
Is (mm^4) 2.04E+11
Is (cn4) 20,393,468
Is (in^4) 489.955
width (in)
wdth (mm)
w (mm)
tf (mm)
a (in)
a (mm)
(p
E (ksmm)
fs (ksmmi
Af (in2)
Af (mm^2)
a
375.36
9534.14
501.80
9.53
63.00
1600.20
470292.48
44.95
0.03
425.03
274209.13
3.19
Choi, Yoo - eq (4)
Choi, Yoo - eq (3)
It (mm^4) 7 52E+08
It (cm^4) 75,215
tli n^4) 1,807
Is (mm^41 5.61E+06
Is (cm^4) 561 3
Is (in^41 13.5
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I (n^4) 16.6
(iL)
Appendix B
Required Stiffnesses: Top Flange - Outer
prelpost stiffened:
1
Input:
width (ft)
n
tf (in)
It
k
E (ksi)
fs (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bfsiff
area bf stiff (n2)
AASHTO - eq (141
AASHTO - eq (2)
scale:
0.5
15.64
4.5
0.375
3.922
16
4
29000
21.00
525
62.53
0.375
42
3.42
It mm^4) 1.34E+09
lt (cmA4) 134,426
it (in^4) 3,230
is (mm^4) 1.38E+09
is (cm^4) 137,598
Is (in^4) 3.306
width iin)
width (mm)
w (mm)
tf (mm)
a (in)
a (mm)
(P
E (ksmm)
Is (ksmm)
Af (in^2)
Af (mm^2)
a
187.68
4767.07
866.74
9.53
63.00
1600.20
1837.08
44.95
0.03
425.03
274209.13
1.85
Choi. Yoo -eq (4)
Choi, Yoo - eq (3)
IR (nirn^4) 5.44E4(17
It tcm^4) 5,43
It (in^4) 131
Is (mm^4) 1.62E+06
Is (cm^4) 162.5
Is (in^41 3.9
Actual - med. size 15" channel
I (in^4) 349
Actual -6" x 3.5" x .5" angle
I (in^4) 16.6
width (in)
width (mm)
w (mm)
tf (mm)
a (in)
a (mm)
E m
E (ksmm)
s (ksmm)
Af (in2 )
Af (MM^ 2)
a
prelpost stiffened: scale:pretpost stiffened:
1
Input:
width (ft)
n
if (in)
0
y
k
E (ksi)
fs (ksi)
a (ft)
93.84
2383.54
733.40
9.53
31.50
800 10
114.82
44,95
425.03
274209.13
1.09
Actual - med size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I in^4) 16 6
bottom flange
width bf (ft) 62.53
thickness bf (in) 0.375
# bf stff 42
area bf stiff (in^2) 3.42
AASHTO - eq (1)
AASHTO - eq f2)
It (mm^4) 3.36E+08
It (cm^4) 33.607
It (in^4) 807
Is (mm^4) 7.28 E+07
Is (ac^4) 7 277
Is (in4l) 175
Choi, Yoo - eq (4)
Choi, Yoo - eq (3)
It (mmn4) 1.61E+07
It (cm^4) 1.608
It (in^4) 39
Is (mm^41 3.39E+05
Is (cn^4) 33 9
lslin^4i 08
.,ln" ) 0
scale:
0.25
7.82
2.2 5
0.375
3.922
16
4
29000
21.00
2.625
Appendix B
Required Stiffnesses: Bottom Flange
pre/post stiffened:
1
Input:
width (ft)
n
If (in)
0
y
k
E (ksi)
is (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in2)
AASHTO - eq (1)
AASHTO - eq (2)
preipost stiffened
2
Input:
width (ft)
n
If (in)
0
y
k
E (ksi)
Is (ksi)
a (ift)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in2)
AASHTO - eq (1)
AASHTO - eq (2)
scale:
1
62.53
40
0.375
3922
16
4
29000
21.00
10.5
62.53
0,375
42
3.42
It (mm^4) 4.30E+10
It (cm^4) 4 295,454
t (in^4) 103,199
Is (mm^4) 4.61E+12
Is (cm^4) 460,715,122
ks in^4i 11fl68725
width (in)
width (mm)
w (mm)
If (mm)
a (in)
a (mm)
Tf
E (ksmm)
fs (ksmm)
A (in^2)
A (mm^2)
a
750.36
19059.14
464.86
9.53
126.00
3200.40
11468800,00
44.95
0.03
425.03
274209.13
6.88
Choi. Yoo - eq (4)
Cho. Yoo - eq (3)
It (mm^4) 3.24E+09
It (cm^4) 324,300
It (in^4) 7.791
Is (mm4) 3.61E+07
Is (cm^4) 3612.7
ls (in^4i 86.8
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x.5" angle
I iin^4i 16.6
scale:
I
62,53
80
0.375
3.922
16
4
29000
21.00
5.25
62.53
0.375
42
3.42
It (min'4) 8.59E+10
it (cm^4) 8.590.909
It (inA4) 206,397
Is (mm^4) 3.73E+13
Is (cm^4) 3,731.223.701
Is (i4) 89643,008
width (in)
width (mm)
w (mm)
If (mm)
a (in)
a (mm)
(P
E (ksmm)
Is (ksmm)
Al (inA2)
A (mm^2)
a
750 36
19059.14
235.30
9,53
63.00
1600.20
18350080000
44.95
0.03
425.03
274209.13
6.80
Choi, Yoo - eq (4)
Choi. Yoo - eq (3)
It (mm^4) 1.28E+10
It (cm^4) 1.281,382
It (in^4) 30,785
Is (mm^4) 2.52E+07
Is (m44) 2523.4
Is hiW^4i 60.6
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x -5" angle
It(in^4) 16 6
.s ,i'4 .11 .7 - ~i' ! 86 1 1
I W4) 16,6
Appendix B
Required Stiffnesses: Bottom Flange
pre/post stlened:
1
Input:
width (ft)
n
tf (in)
k
E (ksi)
fs (ksi)
a (ft)
scale:
0.5
31 265
20
0.375
3.922
16
4
29000
21.00
5.25
bottom flange
width bf (ft) 62.53
thickness bf (in) 0.375
# bf stiff 42
area bf stiff (in^2) 3.42
it (mm^4) 1.07E+10
It (cm^4) 1.073.864
It (in^4) 25,800
Is (mm4) 2.81E+11
Is (cm^4) 28,109.107
Is fin^4l 675.324
Choi. Yoo - eq (4)
Choi. Yoo - eq (3)
It (mm^n4) 8.31E+08
It (cm^4) 83,053
(t(in^4) 1,995
Is (mm^4) 6.54E+06
Is (c^n4) 654.2
ts lin^4 1 7
Actual - med. size 15" channel
I (in^4) 349
Actual - 6" x 3.5" x .5" angle
I Ain^41 I1A
scale:
0,25
15.6325
10
0.375
3.922
16
4
29000
21.00
2.625
62.53
0.375
42
3.42
It (mm^4) 2.68E+09
It (cM^t4) 268.466
it (In^4) 6.450
Is (mm^4) 1.68E+10
Is (cM^ 4) 1.676.964
Is lin^4( 40.289
width (in)
width (mm)
w (mm)
tf (mm)
a (in)
a (mm)
Vp
E (ksmm)
fs (ksmm)
Af (in^2)
Af (mm^2)
a
187.59
4764.79
433.16
9.53
31.50
800.10
44800.00
44.95
0.03
425.03
274209.13
1 85
Choi. Yoo - eq (4)
Choi. Yoo - eq (3)
It (mM^4) 2.18E+08
ft (cm^4) 21.752
It (in^4) 523
Is (mm^4) 1.21E+06
Is (cm^4) 121.2
Is n^41 29
Actual - med. size 15" channel
I (n^4) 349
Actual - 6" x 3.5" x .5" angle
i finam 18 r
width (in)
width (mm)
w (mm)
tIf (mm)
a (in)
a (mm)
(I
E (ksmm)
fs (ksmm)
Af (in'2)
Af (mm^2)
a
375.18
9529.57
453.79
9.53
63.00
1600.20
716800.00
44.95
0.03
425.03
274209.13
3.53
AASHTO -eq (1)
AASHTO -eq (2)
pre/post
1
Input:
Stiffened:
width (1f)
n
tf (in)
Vy
k
E (ksi)
Is (ksi)
a (ft)
bottom flange
width bf (ft)
thickness bf (in)
# bf stiff
area bf stiff (in^2)
AASHTO -eq (1)
AASHTO - eq (2)
.s .iA 5
